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4 Analysis 
In this section the tests, outlined earlier, are analyzed and several are compared 

to the finite element model solutions for the stub-sections.  This finite element model 

comparison includes variations in the concrete strength obtained from core testing, 

along with revised concrete strengths that take into consideration confinement.  The 

results in this section include the concrete core samples, loading of the whole section, 

loading of the core section only, flexural testing, and the push-through testing.  It should 

be noted that none of the stub sections were tested to failure because the load frame 

was unable to provide sufficient load to induce failure.   

4.1 Concrete Core Samples 
The concrete core samples were taken from the different locations along the 

length of the pile (Figure 13) and were tested in compression on the Baldwin frame 

(Figure 15).  The cores were tested following the procedures of ASTM C31 (2003), 

however some variations were required  due to some of the cores breaking shorter than 

required.  The full results from all of the tests are listed in Appendix A, and the average 

compressive strengths are presented in (Table 6 and Figure 30).  Some data points are 

missing because some of the cores broke during extraction and could not be tested as 

noted in Appendix B.  This type of failure is not uncommon during coring operations and 

is a result of unexpected moments from the coring resulting in tensile failure of the 

cored concrete.  This type of premature failure is not considered indicative of poor 

quality concrete as other specimens were extracted without occurrence.  Also cores 

shorter than 7 in. were not used to calculate the averages.  These average compressive 

strengths of the core samples are far greater than that of the test cylinders cast at the 

same time (7,600 psi vs. 4,700 psi). 
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Table 6 - Average Core Sample Compressive Strengths 

 
10-3/4” dia. Piles (Pile 1,2) 12-3/4” dia. Piles (Pile 3, 4)  

Depth Compressive 
Strength (psi) 

# of specimens Compressive 
Strength (psi) 

# of specimens 

1-5 ft. 6,008 3     
5-10 ft. 8,218 4 7,378 7 

10-15 ft.     6,509 4 
15-20 ft. 9,119 3     
20-25 ft. 7,619 3     
25-30 ft. 7,875 3 6,545 1 
30-35 ft. 7,754 3 7,073 4 
35-40 ft. 9,427 2 8,195 3 

  

 
Figure 30 - Average Core Sample Compression Strengths through the depth 

 

This increase in strength could be attributed to multiple factors.  The water in the 

concrete in the piles may not have been able to escape, so a larger portion of the 

cement was hydrated, or the weight of the concrete pushing down in conjunction with 

the confinement from the steel shell could have densified the concrete, or the coring 
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process may have relieved some stress from the sections and helped align the 

crystalline structure of the cement by re-hydrating more cement to make it stronger. 

The concept that the core concrete would have a lower strength was originally 

derived from the fact that the concrete was allowed to free-fall during placement and 

limited vibration was provided.  These practices lead to the hypothesis that the concrete 

may be poorly consolidated or have some segregation that could not be accounted for 

in design.  During the cutting phase of the project, the project team did not observe any 

significant defects at the ends of any member beyond that which would be expected 

from the cutting operations.  In fact, the concrete consistently appeared to be well 

consolidated throughout based on visual observation. 

4.2 Full Cross-Section Loading 
Full cross-section testing was performed on a total of twelve stub-sections, four of 

each cross section size (Figure 13). In the numerical study, the compressive load was 

applied to the specimens using a thick steel plate between the loading jack and the pile 

stub-section, as it was actually performed for the experimental studies. This would 

generally represent a displacement - controlled problem. In this regards, specific 

attention was given to the loading configuration of the tubular piles in the finite element 

simulations, because the cross-section of the specimens was composed of two different 

materials with different modulus of elasticity. To have a uniform stress distribution and 

deflections all over the specimen, the external load applied was non-uniform distributed 

pressure on different parts of the cross section, with respect to the corresponding 

material properties. This would ensure the state of pure displacement-controlled 

conditions, which were fully considered in the corresponding numerical and 

experimental investigation.  These material-dependent applied pressures on the stub 

sections can be calculated by satisfying the deflection compatibility and equilibrium 

conditions simultaneously, as given by Equation 11 and Equation 12. 

 Compatibility : ! S = n !!C  Equation 11 

 Equilibrium : PMAX =! S ! AS +!C ! AC
 

Equation 12 
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where As  and  Ac are the areas of steel and concrete portions in the cross section, σs 

and σc are applied uniform pressure on the steel and concrete portions, n is the ratio of 

steel to concrete modulus of elasticity, and PMAX is the maximum applied load according 

to the limitation of the loading frame. As a result, the corresponding applied pressures 

with respect to the material properties and geometrical characteristics for all three types 

of piles and also compressive strength of the concrete core are summarized and given 

in Table 7. 

 
Table 7 - FE composite loading for displacement controlled conditions 

Pile No. 
Cross section 

dimension 

Material-dependent applied pressure (ksi) 

f'C: 4.50 ksi f'C: 5.85 ksi f'C: 8.00 ksi 

σs σc σs σc σs σc 

Pile 1 
10.75" dia. 

(0.375" wall) 
44.289 5.840 41.615 6.256 38.416 6.754 

Pile 2 
10.75" dia. 

(0.500" wall) 
38.543 5.08 3 .597 5.502  4.215 6.015 

Piles 3 & 4 
12.75" dia. 

(0.375" wall) 
33. 08  4.471 31.665 4.760 29.017 5.101 

 

 

The appropriate boundary conditions on the bottom side of the pile section were 

also applied as depicted in Figure 31. The proposed boundary conditions ensure the 

state of pure vertical compaction by neglecting the shear distortion due to Poisson's 

expansion/contraction effects. On the other hand, the axial load can be equally 

distributed along the cross section neglecting different material properties. In this case, 

the loading scenario would dictate the load - controlled conditions. The differences 

between two loading scenarios are illustrated in Figure 32 to shed light on this issue.  

The contour display in Figure 32 is presented to illustrate the relative effects of 

boundary conditions and symmetry on the pile response and as such the magnitudes 

are not included. 
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Boundary UX UY UZ 

Line 1 0 1 1 

Line 2 1 0 1 

Other nodes at z = 0 0 0 1 

Free: 0 Fixed: 1 

 

Figure 31 - Applied boundary condition for full cross section loading scenario 
 

 

 

 
(a) Proportionally Distributed Stress 

"Displacement - Controlled " 
 

(b) Uniformly Distributed Stress 
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Figure 32 – Pile deformations (a) displacement-controlled (b) load-controlled 
 

To monitor the response of the specimens under the applied loading, the load, 

and longitudinal and tangential strains at the mid-height of the sections were measured 

in both numerical and experimental studies. In order to have more logical and realistic 

interpretation, the applied load was converted to a longitudinal effective applied stress 

for a comparison of stress-strain response. To determine the equivalent applied stress 

on these samples, a transformed section analysis was performed converting the 

concrete to an equivalent steel section (see Equation 13).  

n
AAA C

Seff +=  Equation 13 

The steel material was chosen as the basic material in the cross section 

transformation, in view of the fact that the corresponding strains were recorded based 

on the data collected from the strain gauges attached to the external surface of the pile. 

The effective area based on the material properties and cross section dimensions are 

given in Table 8. 

 
Table 8 - Effective cross sectional area 

Pile No. Cross section dimension 
Effective cross section area (in2) 

f'C: 4.50 ksi f'C: 5.85 ksi f'C: 8.00 ksi 

Pile 1 10.75" dia. (0.375" wall) 22.578 24.030 26.030 

Pile 2 10.75" dia. (0.500" wall) 25.945 27.325 29.227 
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Piles 3 & 4 12.75" dia. (0.375" wall) 29.492 31.581 34.463 
 

 

For all pile specimens, the nominal capacities were calculated based on the 

composite as well as non-composite design methods (AASHTO 2010), and the 

corresponding results are presented in Table 9. 

 
Table 9 - Nominal axial capacity used for design 

Pile No. Cross section dimension 
Nominal capacity (kips) 

Composite Non-composite 

Pile 1 10.75" dia. (0.375" wall) 972 240 

Pile 2 10.75" dia. (0.500" wall) 1170 228 

Piles 3 & 4 12.75" dia. (0.375" wall) 1234 346 
 

 

For all specimens, the load was applied concentrically to a maximum level of 

1000 kips, the capacity of the testing frame. The corresponding longitudinal and 

tangential strain distributions are depicted in Figure 33, derived from ANSYS as an 

output contour.  Similar to the entire section loading scenario, the contour display in 

Figure 33 is presented to illustrate the relative effects of boundary conditions and 

symmetry on the pile response and as such the magnitudes are not included. Figure 34 

- Figure 36 also illustrates the load vs. longitudinal strains as well as tangential strains 

for all specimens with different geometrical properties from both the experimental and 

numerical investigations. By converting applied loads into longitudinal stress using 

section transformation, the effective applied stresses vs. longitudinal and tangential 

strains are also depicted in Figure 37 - Figure 39 for a comparison of stress-strain 

response among different piles.  

 
Strain Pile 1 Pile 2 Piles 3 & 4 
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Longitudinal 

   

Tangential 

   
 

 
Figure 33 – Strain distribution contours (composite loading) 

 

 

 

Pile 1 (10.75" dia. with 0.375" wall) 

Pile 1 (10.75" dia. with 0.375" wall) specimens, exhibited the largest strains 

during the test, and demonstrated compatible results compared to the numerical 

analysis.  From Figure 34 and Figure 37, it can be observed that most of the pile tests 

exhibited similar behavior, with the exception of pile section 1J (Run 1), which 

experienced larger longitudinal strains than the rest of the piles.  This section was 

tested again (Pile 1J Run 2 and Run 3), and these other runs exhibited similar 

responses to the other cross-sections of the same size.  Upon inspection of the 

specimen, it was found to have some irregularities on the top and bottom surfaces.  This 

section had a small section of the steel shell and concrete core that was slightly 

elevated over the rest of the cross section, coincidentally directly above where the strain 
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gauge was located.  This caused the strain gauge to be located on the face with 

greatest compressive stress during the initial test.  After the first test, the surfaces were 

flattened out to where the cross section was uniformly loaded.  This was found to be a 

reoccurring problem for several test sections.  There were two samples (Pile 1D all runs 

and Pile 1J Runs 2 and 3) that approached yielding; however the frame was at capacity 

and more load could not be applied to cause yielding.  Runs 2 and 3 for Pile 1J appear 

to have reached the yielding, but this cannot be verified as this was so close to the 

maximum load from the load frame that a change in slope is not evident.  The tangential 

strains are much lower than the longitudinal strains because the load was applied along 

the longitudinal axis, and the resulting strains are only due to the radial expansion of the 

concrete and steel due to Poisson’s effects.  When comparing the effect of concrete 

compressive strength on transverse system behavior (e.g. Model 1 vs. Model 2), the 

impact is minimal.  This is mostly attributed to the steel section being much stiffer (i.e. 

lower degree of radial expansion) than the concrete core. 

 

Pile 2 (10.75" dia. with 0.5" wall) 

Pile 2 (10.75" dia. with 0.5" wall) specimens had the same outer diameter as the 

smallest cross section, but had a thicker steel wall.  Due to the thicker shell, it was 

expected to have similar strengths to that of the 12-3/4 in. diameter specimens (Table 

9), but with smaller strains than the Pile 1 sections.  From Figure 35 and Figure 38, a 

common trend can be observed with pile sections 2H and 2S.  Trials 2F and 2Y both 

had similar issues with the location of the strain gauges and a small section of the end 

surfaces not being perfectly flat as pile section 2H and 2S.  Pile section 2F was found to 

have a small section of the steel shell and concrete core that was slightly higher than 

the rest of the cross section and this was located on the same side as the strain gauge.  

This caused the strain gauge to be at a location of greater pressure like section 1J of 

the 10-3/4” dia. (0.375” wall).  Conversely pile section 2Y, had a spot that was higher 

than the rest, but the strain gauge was located on the opposite side of the high spot.  

This caused the strain gauge to experience very little compressive strain, until the high 

spot flattened out and then the strains started to increase with the load.  Pile section 2H 
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has a load unload loop in the data, as there was a small section of elevated concrete on 

the surfaces when the loading occurred.  This small section was loaded until it began to 

crack at which the load increased at a quicker rate.  After this concrete crushed and the 

head was loading the entire surface again it loaded back up until the maximum of the 

load frame.  When comparing the load/stress – tangential strain relationships, it can be 

seen that three of the four tests were in relatively good agreement.  Pile section 2F had 

a much larger tangential strain than the rest, as was the case for the longitudinal strains.  

These large tangential strains were caused by the same problem as the longitudinal 

strains, which occurred due to the strain gauge being located at a location with a 

deformity on the top surface, causing the location to be loaded more heavily.  Similar to 

the pile 1 sections, the variation in concrete strengths did not affect the overall stiffness 

enough to influence the strains appreciably. 

 

Piles 3 & 4 (12.75" dia. with 0.375" wall) 

Piles 3 & 4 (12.75" dia. with 0.375" wall) specimens had the overall largest cross 

section of all specimens tested, and was predicted to have the greatest capacity; 

however, the 12.75 in. diameter samples did not exhibit similar behavior to the smaller 

specimens. These samples exhibited almost no strains in either the longitudinal or 

tangential directions from the testing (Figure 36 and Figure 39). It should be noted that 

the shell on the 12-3/4 in. diameter specimens was spiral welded as opposed to the two 

10-3/4 in. diameter piles, which were seam welded.  This spiral appears to have 

changed the way load was transferred throughout the section and, as such, the model 

was not able to simulate the true strains experienced by the sections.  There was one 

12-3/4 in. section where the strain gauges did record a much higher value than the rest 

of the 12-3/4 in. sections; however, in this test the strain gauge happened to be above 

the seam and also in a location where the top surface had a high spot. Because the 

spiral welded shell changes the way the load is transferred through the member it can 

be concluded that the developed FE model can accurately predict the strains of a stub 

section that is uniformly loaded and seam welded, however it should not be used with a 

spiral weld. 
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a) 

 
b) 

Figure 34 - Pile 1 (10.75" - 0.375" wall) Load (composite) vs. a) longitudinal strain, b) tangential 
strain  

 



	  

 

 

65 

 
a) 

 
b) 

Figure 35 - Pile 2 (10.75" - 0.5" wall) Load (composite) vs. a) longitudinal strain, b) tangential 
strain 
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a) 

 
b) 

Figure 36 – Piles 3 & 4  (12.75" - 0.375" wall) Load (composite) vs. a) longitudinal strain, b) 
tangential strain 
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a) 

 
b) 

Figure 37 - Pile 1 (10.75" - 0.375" wall) Effective stress (composite) vs. a) longitudinal strain, b) 
tangential strain 
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a) 

 
b) 

Figure 38 - Pile 2 (10.75" - 0.5" wall) Effective stress (composite) vs. a) longitudinal strain, b) 
tangential strain 
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a) 

 
b) 

Figure 39 - Piles 3 & 4  (12.75" - 0.375" wall) Effective stress (composite) vs. a) longitudinal 
strain, b) tangential strain 
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4.2.1 Summary of Full Cross-Section Loading 
Due to the increased wall thickness of the specimens used in the full cross-section 

loading scenario and the limitations of the testing frame, none of the specimens were 

tested to ultimate capacity.  However, all specimens were tested to the limits of the 

testing frame (1,000 kips) without experiencing failure.  For the piles, this load 

represents a 317%, 339%, and 189% increase over the non-composite nominal 

capacities on the 10-3/4” dia. (0.375” wall), 10-3/4” dia. (0.5” wall), and 12-3/4” dia. 

(0.375” wall), respectively.  While this limitation was less than the composite section 

design capacity for all specimens except the 10-3/4” dia. (0.375” wall), all specimens 

remained in the elastic range at this upper bound loading.  In addition, all of the loads 

on the specimens surpassed the nominal design capacity for the non-composite 

analysis without failure.  While this finding is not a direct measure of the ultimate 

capacity, the performance of these piles indicates a significant amount of reserve 

capacity when considering the current design approach used in Wisconsin. 

4.3 Section Core Only Loading 
Compression testing of the stub section by loading only the core area was 

performed on the total of 12 different stub-sections, four for each cross section size. 

Unlike the previous test where the whole stub section was loaded, only the concrete 

core was loaded using a thick steel plate on both sides between the loading head and 

the pile stub sections. This would similarly represent a displacement-controlled problem. 

Although the section does have two different materials, the loading was applied to the 

concrete core. Therefore, the applied stress, σc, can easily be calculated solely based 

on the dimension of the core section, independent of the material properties, as given 

by Equation 14. 

!C = PMAX
AC

 Equation 14 

where Ac is the area of the concrete core in the cross section, σc is the applied uniform 

pressure on the concrete core, and PMAX is the maximum applied load according to the 

limitation of the loading frame. In essence, the corresponding applied pressures on the 
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central core, irrespective of the material properties and compressive strength of the 

concrete core, for all three types of piles are summarized and given in Table 10. 

 

Table 10 - FE non-composite loading 

Pile No. Cross section dimension Material-independent 
applied pressure (ksi) 

Pile 1 10.75" dia. (0.375" wall) σc: 12.732 
Pile 2 10.75" dia. (0.500" wall) σc: 13.394 

Piles 3 & 4 12.75" dia. (0.375" wall) σc: 8.842 
 

 

For the boundary conditions, the same restraint scenario (Figure 31) from the 

composite loading scenario is applied on the bottom side of the pile stub sections, with 

the exception for the nodes corresponding to the steel external shell. In this case, the 

uniform pressure applies only on the concrete core. Thus, the support conditions also 

apply only on the central core because the specimen must undergo the same loading 

conditions on both sides, identical to the test setup. A representation of the differences 

in response between two applied boundary conditions (with and without neglecting the 

steel shell in applying the restraint) is illustrated in Figure 40. 

  
a) b) 

Figure 40 – Effect of applied boundary conditions a) composite section vs. b) core-only loading 
 

Similar to the previous case, to monitor the response of the specimens under the 

applied loading condition, the load, longitudinal and tangential strain at the mid-height of 

the sections were measured in both numerical and experimental studies. Moreover, the 

applied load was converted to the longitudinal effective applied stress for comparison of 

stress-strain responses between the two corresponding loading scenarios. To 
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determine the equivalent applied stress on these samples, a transformed section 

analysis was performed converting the concrete to an equivalent steel section (Equation 

13). Again, the steel material was chosen as the basic material in the cross section 

transformation, in view of the fact that the corresponding strains were recorded based 

on the data collected from the strain gages attached to the external surface of the pile. 

The effective area based on the material properties and cross section 

dimensions were the same as given in Table 8. Furthermore, the nominal capacities of 

the piles are independent of the loading scenarios, and given in Table 4. For all of the 

specimens, the load was applied concentrically to a maximum level of 1000 kips, the 

capacity of the testing frame. The corresponding longitudinal and tangential strain 

distributions are depicted in Figure 41, derived from ANSYS as an output contour. 

Figure 42 - Figure 44 illustrates the load vs. longitudinal strains as well as tangential 

strains for all specimens with different geometrical properties for both the experimental 

and numerical investigations. By converting applied loads into longitudinal stress using 

section transformation, the effective applied stress vs. longitudinal and tangential strains 

are also depicted in Figure 45 - Figure 47.  From the testing of the sections under the 

core loading, definite trends were observed. 
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Strain Pile 1 Pile 2 Piles 3 & 4 

Longitudinal 

   

Tangential 

   
Figure 41 - Strain distribution contours (non-composite loading) 

 

Pile 1 (10.75" dia. with 0.375" wall) 

Pile 1 (10.75" dia. with 0.375" wall) specimens exhibited a significant variance 

from specimen to specimen for the longitudinal response, but parity in the tangential 

response.  Pile section 1C had a region of the cross section surface that was slightly 

elevated and the strain gauge recorded strains around zero until the elevated section 

was leveled out during loading, at which point the whole section was simultaneously 

loaded.  Overall the specimens experienced lower longitudinal strains than the 

equivalent composite loaded specimen as a result of the internal load transfer 

mechanism for this loading scenario.  In this scenario, the load is applied directly to the 

core section and then redistributed (internal to the cross-section) to the steel shell via 

bond and expansion, resulting in a lower overall shell stress than the composite loading 

scenario.  On the contrary, all four trials showed very similar tangential strains in the 

steel shell, which are generally higher than those observed from the scenario where the 

entire cross section was loaded.  This is because the steel shell was not loaded in this 
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test and, as such, the concrete core is resisting more axial load and due to Poisson’s 

effect pushing out in the radial direction, which induces strains in the steel in the radial 

direction. 

 

Pile 2 (10.75" dia. with 0.5" wall) 

Pile 2 (10.75" dia. with 0.5" wall) specimens exhibited smaller longitudinal and 

tangential strains than the thinner (0.375") walled specimens as expected, but the 

response in both directions was similar to each other in magnitude. This was different 

from the loading of the whole section, where the tangential strains were much smaller 

than the longitudinal one. This is mostly caused by the steel shell only being loaded by 

the frame.  Pile section 2I, had a high spot where the strain gauge was located, which 

caused the gauge to experience more strain at that location; however the other three 

runs all show very good agreement with each other under core loading.  Similar to the 

Pile 1 specimens, the strains observed in the tangential direction, resulting from greater 

radial expansion, were higher for this loading scenario than the full composite section 

loading scenario. 

 

Piles 3 & 4 (12.75" dia. with 0.375" wall) 

Piles 3 & 4 (12.75" dia. with 0.375" wall) specimens for this loading case did not 

show a similar trend to the composite section loading scenario.  For the loading of the 

core only, the spiral weld did not appear to affect the way the load is transferred through 

the section and a generally proportional increase in load with strain was observed for all 

specimens. However, contrary to the composite section loading scenario, the finite 

element model was able to better simulate both the longitudinal or tangential strains for 

the core only loading scenario, even in the presence of the spiral weld. 
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a) 

 
b) 

Figure 42 - Pile 1 (10.75" - 0.375" wall) Load (core) vs. a) longitudinal strain, b) tangential strain  
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a) 

 
b) 

Figure 43 - Pile 2 (10.75" - 0.5" wall) Load (core) vs. a) longitudinal strain, b) tangential strain 
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a) 

 
b) 

Figure 44 – Piles 3 & 4  (12.75" - 0.375" wall) Load (core) vs. a) longitudinal strain, b) tangential 
strain 
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a) 

 
b) 

Figure 45 - Pile 1 (10.75" - 0.375" wall) Effective stress (core) vs. a) longitudinal strain, b) 
tangential strain 
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a) 

 
b) 

Figure 46 - Pile 2 (10.75" - 0.5" wall) Effective stress (core) vs. a) longitudinal strain, b) 
tangential strain 
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a) 

 
b) 

Figure 47 - Piles 3 & 4  (12.75" - 0.375" wall) Effective stress (core) vs. a) longitudinal strain, b) 
tangential strain 
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4.3.1 Summary of Core Only Loading 
Similar to the composite-section loading scenario, because of the increased wall 

thickness of the specimens used in the full cross-section loading scenario and the 

limitation of the testing frame, none of the specimens were tested to ultimate capacity.  

However, all specimens were tested to the limits of the testing frame (1,000 kips) 

without experiencing failure.  Similar to the composite section loading scenario, this load 

represents a 317%, 339%, and 189% increase over the non-composite nominal 

capacities on the 10-3/4” dia. (0.375” wall), 10-3/4” dia. (0.5” wall), and 12-3/4” dia. 

(0.375” wall), respectively.  While this limitation, was less than the composite section 

design capacity for all specimens except the 10-3/4” dia. (0.375” wall), all specimens 

remained in the elastic range at this upper bound loading.  In addition, all of the 

specimens exceed the nominal design capacity for the non-composite analysis without 

failure.  While this finding is not a direct measure of the ultimate capacity, the 

performance of these piles indicates a significant amount of reserve capacity when 

considering the current design approach used in Wisconsin. 

4.4 Soil - Pile Interaction 
As illustrated in Figure 48, the State of Wisconsin's soil series are grouped into 

fifteen general regions. In general the governing types of the soil in the state can be 

simply categorized as sandy, silty and loamy soils, which create the surface layers of 

the soil body above the bedrock. 
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Figure 48 - Soil regions in the State of Wisconsin  

(Wisconsin Geological and Natural History Survey 2011) 
 

While the thickness of unconsolidated soil is highly variable throughout the state, 

a large portion of the state has a thickness of approximately 50 ft. or less (Figure 49). In 

this study, it was assumed that the investigated piles most likely reached their limit in 

drivability due to side friction, which can be considered a reasonable assumption when 

comparing typical pile lengths (~40 ft.) to the thickness of the unconsolidated soil layer 

for most regions of the state.  However, it should be noted that there was no attempt to 

correlate the thickness of unconsolidated soil with pile installation locations and this 

exercise was intended to be illustrative of the behavior of embedded piles only. 

Based on the results obtained via numerical and experimental investigations, the 

piles themselves behave elastically under an applied load of a million pounds, provided 

that the bearing capacity of the bedrock is infinite. However, the bearing of the soil 

beneath the pile usually dictates the total capacity of the deep foundation system. As 

illustrated in Figure 50, dolomite, sand stone, and granite create the main fraction of the 

bedrock composition within the State of Wisconsin. Based on the WisDOT bridge 

manual (WisDOT 2011), a pile foundation transfers load into the underlying strata by 

either shaft resistance (RS), point resistance (RP) or a combination of both. Most of the 

driven piles develop some amount of both shaft and point resistance. 
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Figure 49 - Thickness of Unconsolidated Material in the State of Wisconsin  

(Wisconsin Geological and Natural History Survey 2011) 
 

 

 
Figure 50 - Bedrock Geology for the State of Wisconsin  
(Wisconsin Geological and Natural History Survey 2011) 

 

Shaft resistance values are dependent upon soil texture, overburden pressure 

and soil cohesion. For the State of Wisconsin with the sandy, silty and loamy surface 

layers of the soil, the average value for the nominal shaft resistance can be 

approximately chosen as 800 psf (WisDOT 2011). However, experience in Wisconsin 
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has shown that shaft resistance values reach their constant final values roughly at the 

depth 20 to 30 times the pile diameter in limited portions of the state, where there is 

fairly uniform sands of medium density. As an illustration, for a pile with 10-3/4 in. 

diameter and 40 ft. length, the nominal shaft capacity is approximately equal to 70 kips. 

On the other hand, the maximum point resistance, or the end bearing capacity of a pile 

can be estimated based on the simple formulation derived from AASHTO LRFD 

(AASHTO 2010) (Equation 15). 

 
RP = qL !AP  Equation 15 

 

where AP is the pile end area in ft2 and qL is the limiting unit point resistance from LRFD 

[Fig. 10.7.3.8.6f-9] in ksf. According to the dominant composition of the Wisconsin's 

bedrock (dolomite, granite, and sand stone), the average value for the limiting unit point 

resistance can be chosen as 300 ksf, considering the average value of 35 to 40 for the 

corresponding angle of friction. Therefore, for a 10-3/4 in. diameter pile the nominal end 

capacity is approximately equal to 190 kips. Consequently, the total nominal capacity of 

the pile, derived from the shaft resistance as well as the end bearing is equal to 260 

kips. This value is close enough to the non-composite nominal capacity of the 

corresponding piles, (see Table 9) providing the opportunity to justify the elastic 

behavior of the piles prior to the governing mode of the failure related to the soil 

bearing. 

As long as the soil bearing capacity dominated the global behavior of the soil-pile 

system, the piles behave elastically in the corresponding region. Therefore, the 

interaction between soil and the pile can be investigated considering only the 

surrounding soil.  In this regards, a spring model was utilized to simulate the effect of 

surrounding soil on the behavior of the pile structure. As illustrated in Figure 51, the pile 

is assumed to be embedded in the continuum environment of the soil, with a cylindrical 

configuration. 
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Figure 51 - 3D representation of the pile-soil simulation 
 

 

Under the applied axial loading of the pile, the soil itself undergoes three sources of 

deformations (see Figure 52), which can be categorized as follows: 

1) Vertical Compaction (ΔVC). 

2) Vertical Shear Deformation (ΔVS). 

3) Horizontal Compaction (ΔH). 

Each of these deformation components is related to the stiffness of the soil in the 

corresponding directions. Moreover, these stiffnesses can be represented by means of 

linear longitudinal springs for the numerical simulation purposes.  
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Figure 52 - Soil – pile deformation under applied load 

 

Consequently, the following model, presented in Figure 53, was developed to 

derive each of the stiffness components of the soil with respect to the geometry of the 

simulated cylinder of the surrounding soil. It should be mentioned that the accuracy of 

the results is not affected by the mesh size, but it can be influenced by the dimension 

(radius) of the soil cylinder (see Figure 51). 

 

   

Axial Compaction Shear distortion Lateral Compaction 

Figure 53 - Proposed numerical model to derive the equivalent spring stiffness of the soil 
 

The equivalent spring stiffnesses for all components of deflections are calculated 

as given in Equation 16. 
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KVC = E
h
! 1
2
! ! r2 ! (n2 + 2n)  (a)Vertical Compaction  

Equation 16 KVS =
G
L
! 1
2
! ! r ! h ! (n + 2)  (b) Shear Disturtion  

KH = E
L
! 1
2
! ! r ! h ! (n + 2)  (c) Lateral Compaction  

 

where E is the elastic modulus of the surrounding soil, G is the shear modulus of the 

surrounding soil, θ is the central angle, h is the height of the of the soil element with 

respect to the mesh generation, r is the radius of the pile, L is the radial length of the 

surrounding soil, and n is the ratio between L and r. It should be mentioned that KVC and 

KVS are in series with each other and can be combined to have an equivalent vertical 

spring with an equivalent stiffness, KV, derived as given by Equation 17: 

 

KV = KVC !KVS

KVC + KVS

 Equation 17 

 

For the numerical simulation purposes, the surrounding soil, previously idealized 

as a series of horizontal and vertical linear longitudinal springs, are introduced to the 3D 

FE model as depicted in Figure 54. 
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Figure 54 - FE representation of soil - pile interaction 

 

In order to reduce the computational cost, only a quarter of the pile's stub 

sections were simulated and the appropriate boundary conditions as well as the 

equivalent lateral springs were also applied to satisfy the symmetry conditions, as 

depicted in Figure 55. 

  
Figure 55 - FE simulation equivalent soil springs 

  

Considering the dominant type of soil in the State of Wisconsin, loose and 

compact sandy as well as gravel soil were chosen for the numerical analysis. The 

corresponding values of the equivalent lateral stiffness are presented in Table 11 for a 

certain type of mesh generation. 
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Table 11 - Equivalent lateral stiffness of the surrounding soil 
Soil type E (ksi) G (ksi) KH (k/in) KV (k/in) 

Loose sandy soil (LSS) 1.45 0.58 0.08 0.03 

Compact sandy soil (CSS) 7.25 2.59 0.40 0.14 

Loose Gravel soil (LGS) 10.15 4.41 0.56 0.24 

Compact Gravel Soil (CGS) 24.66 9.13 1.36 0.50 

 
For all of the previous specimens, the load was applied concentrically to a 

maximum level of 1000 kips, the capacity of the testing frame. For the first series of the 

analysis, the soil type and the thickness of the surrounding soil were considered to be 

fixed, in order to investigate the effect of concrete compressive strength on the soil - pile 

interaction.  Accordingly, the loose gravel soil with the thickness of 5 times the radius of 

the embedded pile was chosen for the analysis. The corresponding longitudinal and 

tangential strain distributions are depicted in Figure 56, derived from ANSYS as an 

output contour. Figure 57 - Figure 59 also illustrates the load vs. longitudinal strains as 

well as tangential strains for all specimens with different geometrical properties. By 

converting applied loads into longitudinal stress using section transformation, the 

effective applied stress vs. longitudinal and tangential strains is also depicted in Figure 

60 - Figure 62 for a comparison of stress-strain response among different piles. As it 

can be seen, the surrounding soil does not have a significant effect on the behavior of 

the pile within the elastic limit, for different types of concrete. 
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Strain Pile 1  Pile 2  Piles 3 & 4 

Longitudinal 

  

 

  

 

  
         

Tangential 

  

 

  

 

  

Figure 56 - Strain distribution contours considering soil - pile interaction 
 

For the second part of the analysis, the effect of soil material properties on the 

behavior of the cast-in-place tubular pile was investigated. It should be mentioned that 

the other sensitive parameters such as soil thickness (defined by n), compressive 

strength of the concrete, and diameter of the pile were considered to be fixed for this 

study. The results obtained from the numerical analysis indicated that the surrounding 

soil does not have a significant effect on the behavior of the pile as long as the pile 

responses are located within the elastic limit, even for different types of the soil 

properties. 
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a) 

 
b) 

Figure 57 - Pile 1 (10.75" - 0.375" wall) Load (composite) vs. a) longitudinal strain, b) tangential 
strain – with soil-pile interaction 
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a) 

 
b) 

Figure 58 - Pile 2 (10.75" - 0. 5" wall) Load (composite) vs. a) longitudinal strain, b) tangential 
strain – with soil-pile interaction 
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a) 

 
b) 

Figure 59 - Piles 3 & 4 (12.75" - 0.375" wall) Load (composite) vs. a) longitudinal strain, b) 
tangential strain – with soil-pile interaction 

 



	  

 

 

94 

 
a) 

 
b) 

Figure 60 - Pile 1 (10.75" - 0.375" wall) Effective stress (composite) vs. a) longitudinal strain, b) 
tangential strain – with soil-pile interaction 
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a) 

 
b) 

Figure 61 - Pile 2 (10.75" - 0. 5" wall) Effective stress (composite) vs. a) longitudinal strain, b) 
tangential strain – with soil-pile interaction 
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a) 

 
b) 

Figure 62 - Piles 3 & 4 (12.75" - 0.375" wall) Effective stress (composite) vs. a) longitudinal 
strain, b) tangential strain – with soil-pile interaction 
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4.5 Push-Through Testing 
This test was designed to determine the strength of the bond between the steel 

shell and concrete core.  If this bond is adequate, composite action would be 

appropriate for design.  This test was intended to determine the load at which the core 

starts to slide through the steel shell, which is the point at which the bond breaks. 

In this test, the load was applied at the same rate as the previous tests, until the 

load on the section decreased by fifteen percent.  The load versus cross head 

displacement for the 10-3/4” dia. (0.375” wall), 10-3/4” dia. (0.5” wall), and 12-3/4” dia. 

(0.375” wall) are presented in Figure 63, Figure 64, and Figure 65, respectively.  For all 

of the 10-3/4 in. diameter specimens, the behavior is characterized by an increase in 

load until the bond is broken, followed by a gradual decrease in load as the concrete 

core pushes through the shell.  Due to the spiral welds in the shell of the 12-3/4 in. 

diameter samples, the specimens never reach a maximum load or exhibited a load drop 

off.  Instead the core started to move and came in contact with another weld seam, 

which was not flush on the interior.  This caused the load to increase again causing a  

small displacement until the core hit the spiral weld seam again.  For all specimens, the 

bond strength was calculated as the peak load at the initial slip divided by the internal 

surface area.  The average bond strengths for each specimen cross sections are 

presented in Table 12.  These values for the bond strengths are on the low end of the 

bond strengths when compared with previous research, which show that the bond 

strength can vary from 0.3 ksi to around 2 ksi (Harajli 2004) for concrete and deformed 

bars and between 0.34 to 0.48 ksi for smooth bars (Menzel 1939; Weathersby 2003). 

However, it should be noted that these bond strengths are based on bond of concrete to 

deformed bars (reinforcing steel) and the pile sections have smooth steel walls. 

Some notable findings from these tests were that the bond varied between the 

sections, the largest section did not have the strongest bond, and the bond varied with 

depth of the pile.  The fact that the largest section did not have the strongest bond could 

have been due to the weld seam impeding on the contact surface of the materials.  

Each sample tested was taken from various locations through the depth so that the 

average bond for the type of shell could be found.  The capacity of the bond is on the 
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lower end for concrete to steel, however none of the compression tests exhibited any 

type of shell/core separation or observable slip during loading.  While no measurement 

of the shear stress at the interface was measured during the compression testing, the 

shear stresses at the interface from the finite element models ranged from 0.011 – 

0.024 ksi for the composite section loading.  For the core only loading scenario, the 

shear stress ranged 0.825 – 5.617 ksi, however this loading scenario is unlikely to be 

observed in service due to the pile cap being cast over the entire pile rather than just 

the core section.  These stresses suggest that the interface bond capacity is sufficient 

for the expected state of stress for in-service conditions.  

 
Figure 63 - Bond Strength – 10-¾” (0.375” wall) 
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Figure 64 - Bond Strength – 10-¾” (0.5” wall) 

 

 
Figure 65 - Bond Strength – 12-¾” (0.375” wall) 
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Table 12 - Concrete-Steel Bond Strength 
Specimen 

Name Depth (ft.) Pile Size Bond Strength (ksi) Average (ksi) 
1A 1.5 

10-3/4” dia. (0.375” wall) 

0.373 

0.291 1H 11.5 0.241 
1L 17.5 0.289 
1P 23 0.259 
2C 4.5 

10-3/4” dia. (0.5” wall) 

0.483 

0.525 2G 10 0.489 
2P 25.5 0.611 
2W 36 0.517 
3D 5.5 

12-3/4” dia. (0.375” wall) 

0.451 

0.316 3O 21.5 0.317 
4E 8.5 0.339 
4Z 40 0.157 

 

4.6 Flexural Testing 
Flexural testing (three point loading configuration) was performed on the four 11 ft. 

long pile sections.  In this test, the load was applied at a constant rate with the objective 

of the evaluation focused on the performance of the concrete core – steel shell 

interface.  The strain gauges mounted on the perimeter were intended to assess the 

degree of composite action between the two materials and to determine if there was a 

loss of bond in a flexural scenario.  Results from the experimental program are 

presented in two forms, a strain versus loading and a change in strain through the 

cross-section depth.  It was expected that the former would indicate a change in section 

behavior (e.g. cracking, loss of bond) while the latter would highlight the location of this 

change.  Results from the LVDT measurements of end-split are not included in this 

report because none were measured during the testing.  

 

12-3/4” dia. (0.375” wall) – Pile 3  

The combined strain vs. load plot for the first 12-3/4 in. diameter pile is presented 

in Figure 66 (tension strain positive).  As expected the general trend is a proportional 

increase in strain with load for all measurements with the exception of those located at 
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the neutral axis.  From Figure 67, a noticeable shift in linearity occurs between 25-35 

kips, indicating a change in system behavior (as noted by the box on the figures).  

Figure 68, highlights this region further and suggests that this change occurs at ~26 

kips.  When comparing the strain through the depth of the cross-section for this loading 

region, it becomes evident that cracking on the tension side in the lower right quarter 

results because of the shift in strain distribution.  However, no slip was observed at the 

locations of the interface gauges near the neutral axis where maximum shear is 

expected. 

 
Figure 66 – Strain vs. load (all gauges) for (12-3/4” – 0.375” wall) – Pile 3 (full range of loading) 
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Figure 67 - Strain vs. load (all gauges) for (12-3/4” – 0.375” wall) – Pile 3 (partial range of 

loading) 
 

 
Figure 68 - Strain vs. load through cross-section depth (12-3/4” – 0.375” wall) – Pile 3 
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12-3/4” dia. (0.375” wall) – Pile 4  

The second 12-3/4 in. diameter pile was tested in a similar manner as the first 

and was loaded to the capacity of the test frame.  Similar to Pile 4 a general observed 

trend is a proportional increase in strain with load for all measurements with the 

exception of those located at the neutral axis.    For this specimen, the load was applied 

to the center, which coincided with a weld seam.  From Figure 69, a noticeable shift in 

linearity occurs between 20-40 kips, indicating a change in system behavior.  Figure 70, 

highlights this region further and suggests that this change occurs at ~24 kips.  When 

comparing the strain through the depth of the cross-section for this loading region 

(Figure 71), the change in slopes on the tension side is less evident than Pile 3, which 

can likely be attributed to the load being applied to the weld seam, resulting in a non-

uniform distribution of stress.  For this specimen, no slip was observed at the locations 

of the interface gauges where maximum shear is expected, near the neutral axis. 

 
Figure 69 - Strain vs. load (all gauges) for (12-3/4” – 0.375” wall) – Pile 4 (full range of loading) 
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Figure 70 - Strain vs. load (all gauges) for (12-3/4” – 0.375” wall) – Pile 4 (partial range of 

loading) 
 

 
Figure 71 - Strain vs. load through cross-section depth (12-3/4” – 0.375” wall) – Pile 4 

 

 

-‐500	  

-‐300	  

-‐100	  

100	  

300	  

500	  

700	  

900	  

0	   5	   10	   15	   20	   25	   30	   35	   40	  

St
ra
in
	  (μ
ε)
	  

Load	  (kip)	  

Strain1	  

Strain2	  

Strain3	  

Strain4	  

Strain5	  

Strain6	  

Strain7	  

Strain8	  

Strain9	  

-‐12	  

-‐10	  

-‐8	  

-‐6	  

-‐4	  

-‐2	  

0	  

2	  

4	  

6	  

8	  

-‐1000	   -‐800	   -‐600	   -‐400	   -‐200	   0	   200	   400	   600	   800	   1000	  

15	  kip	  (R)	  
15	  kip	  (L)	  
17	  kip	  (R)	  
17	  kip	  (L)	  
20	  kip	  (R)	  
20	  kip	  (L)	  
22	  kip	  (R)	  
22	  kip	  (L)	  
25	  kip	  (R)	  
25	  kip	  (L)	  
27	  kip	  (R)	  
27	  kip	  (L)	  
30	  kip	  (R)	  
30	  kip	  (L)	  



	  

 

 

105 

10-¾” dia. (0.375” wall) – Pile 1  

Pile 1 (10-3/4” dia. – 0.375” wall) was tested in flexure to the maximum stroke 

capacity of the test frame.  The complete strain vs. load response is illustrated in Figure 

72.  For this specimen the deviation in specimen responses was observed at an 

approximate load of 7 kips (Figure 73).  From the load vs. cross-section depth (Figure 

74), the cracking again appears to be on the lower side of the specimen, with both sides 

exhibiting a degree of non-linearity in the strain distribution.  This section did fail at the 

maximum load, ~68 kips, and the failure occurred at one of the weld seams (Figure 75).  

At failure, the seam between the weld separated and the concrete core also cracked.  

This location seemed to be the location of maximum stress and made it difficult to 

detect changes in slope at midspan. 

 

 
Figure 72 - Strain vs. load (all gauges) for (10-3/4” – 0.375” wall) – Pile 1 (full range of loading) 
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Figure 73 - Strain vs. load (all gauges) for (10-3/4” – 0.375” wall) – Pile 1 (partial range of 

loading) 
 

 
Figure 74 - Strain vs. load through cross-section depth (10-3/4” – 0.375” wall) – Pile 1 
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Figure 75 – Pile 1 Failure Location 

 

10-3/4” dia. (0.5” wall) – Pile 2  

Pile 2 (10-3/4” dia. – 0.5” wall) was tested in flexure to the maximum stroke 

capacity of the test frame.  The complete strain vs. load response is illustrated in Figure 

76.  For this specimen the deviation in specimen responses was observed at an 

approximate load of 3 kips (Figure 77).  From the load vs. cross-section depth (Figure 

74), the cracking again appears to be on the lower side of the specimen, with both sides 

exhibiting a degree of non-linearity in the strain distribution similar to Pile 1.  This 

specimen did not experience failure prior to reaching the limit of the test frame, but at 

the latter stages of loading, the steel on the lower right side of the specimen began to 

yield as is demonstrated by the strain increase observed in strain gauge 4 (Figure 76).  

For this specimen, no slip was observed at the locations of the interface gauges where 

maximum shear is expected, near the neutral axis. 
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Figure 76 - Strain vs. load (all gauges) for (10-3/4” – 0.5” wall) – Pile 2 (full range of loading) 

 

 
Figure 77 - Strain vs. load (all gauges) for (10-3/4” – 0.5” wall) – Pile 2 (partial range of loading) 
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Figure 78 - Strain vs. load through cross-section depth (10-3/4” – 0.5” wall) – Pile 2 
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design capacity.  This reserve capacity was on the order of two to three times as much 

as the design capacity.  While all of the specimens were loaded past the non-composite 

nominal capacity, only the loading on one specimen exceed the composite nominal 

capacity; however all specimens exhibited the same general response suggesting that 

all would exceed the composite nominal capacity without failure. 
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Results from the compression tests from the cored sections at various depths 

demonstrated that there was an increase in compressive strength for the core concrete 

when compared to companion cylinder results.  A visual inspection of the concrete 

throughout the pile at the locations of the cuts confirmed that good consolidation was 

achieved throughout the piles and no segregation was observed.  This behavior 

suggests that the integrity of the concrete is not only maintained but is actually 

enhanced. 

In the assessment of the bond performance, both results from the push-through 

testing and the flexural testing were considered.  Results from the push-through testing 

indicated that the average shear bond strength is on the order of 0.291-0.525 ksi, which 

is in agreement with other bond strength results between steel and concrete.  The 

flexural test results did not provide a direct measure of the bond strength, but 

demonstrated that the bond integrity is greater than the cracking strength of the 

composite section, as no slip was observed throughout the testing. 
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5 Findings and recommendations 

5.1 Findings 
The overall objective of the study was to evaluate the capacity of cast-in-place 

concrete filled tubular sections, which are commonly used as piles in the State of 

Wisconsin. A primary goal was to compare results from an experimental program to 

current design procedures and assess whether these procedures are appropriate for 

these members. 

In this study, the structural capacity of cast-in-place steel tubular piling was 

investigated experimentally and numerically.  For the experimental program, several 

full-length piles were partially driven and filled with concrete in the field to represent as 

near in-situ conditions as possible.  These full-length piles were cut up into smaller 

testable sizes, which were also believed to be representative of the short braced lengths 

for piles driven into the ground.  The smaller pile stub sections were run through a set of 

different tests, with a representative sampling taken from different depths of each pile 

for each test.  The tests included compression tests on the entire stub cross-section, 

compression tests of the stub section where only the core was loaded, flexural tests of 

short pile sections, push-through tests, and testing of cored out samples from stub 

sections.  In addition to the experimental program, a numerical study (finite element) 

was performed on the axially loaded sections to allow for extrapolation of the behavior 

of the piles to conditions more representative to in-service conditions. 

 

5.1.1 Compression Behavior 
The goal of the compression testing, which included tests on the composite 

section and a core only loading scenario, was to assess the axial capacity of the piles.  

With the piles typically being embedded in the ground, the restraint conditions were 

assumed to be fully braced along the pile length, as such stub sections (18” long) 

specimens were considered for the experimental program.  For both loading scenarios, 

the capacity of the piles exceeded the capacity of the loading machine used for testing 

and as a result, no true measurements of ultimate capacity were achieved.  This was 
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partially the result of the pile shells being thicker than planned and the piles having 

capacities greater than the upper design limit.  Previous research on smaller tubular 

sections have indicated that this capacity is typically defined as a squash failure or local 

buckling phenomena, however neither was observed during testing.  While no failures 

were observed in the test specimens, all specimens achieve greater capacities than the 

current nominal design capacities used by WisDOT (between 189-317% greater).  All 

specimens were able to resist a total load of 1,000 kips without any observable failure 

mechanisms.  For the 10-3/4” dia. (0.375” wall) specimen, this exceeded the design 

capacity allowed within the AASHTO LRFD Bridge Design Specification by about 3%.  

For the 10-3/4” dia. (0.5” wall) and 12-3/4” dia. (0.375” wall), this resistance is 

approximately 15% and 19% less than the AASHTO design capacity, respectively. 

A series of finite element models were developed to simulate the behavior of the 

pile sections from both the experimental program and also extrapolate the behavior to 

in-service conditions.    Some of the challenges that could not be accounted for in the 

model included the unbalanced loading resulting from slightly uneven cuts (and 

resulting uneven loading) of the stub sections and the complexity of welds within the 

stub sections.  While the experimental program demonstrated that the pile sections 

remained within the elastic region, these geometric non-linearities could not be 

accounted for appropriately.  As a result, the finite element simulation results were not 

able to match the experimental results for non-linear geometric scenarios; they did 

however match other results quite well.  The finite element model was then expanded to 

assess the performance of pile sections embedded in soils representative of those 

within the State of Wisconsin.  These expanded models assumed that soil resistance 

(similar in magnitude to non-composite pile capacity) would ultimately control the 

capacity of the pile design, but considered variations in soil stiffness parameters.  The 

results from the model suggested that the influence of the soil is minimal on the capacity 

of the pile and that the pile basically behaves in a manner similar to the experimental 

sections, fully braced compression member. 

In addition to the compression tests on the stub sections, cores were extracted 

from various depths along the pile for compression testing.  Each section cored 
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provided a series of specimens for testing, but core breaks were common.  It should be 

noted that the purpose of the core testing was to assess the compressive strength and 

consolidation of the internal concrete, which is typically allowed to free-fall within the pile 

during construction.  Average compressive strength results from the core testing ranged 

from approximately 6,000 psi to 9,400 psi along the lengths of the piles tested.  While 

these results are highly dependent on the strength of the concrete chosen by the 

contractor, these results (~7,600 psi average) were significantly higher than the 

compressive strength of companion cylinders tested (~4,700 psi).  This trend suggests 

that the strength of core concrete is enhanced from the construction process.  In 

addition to the compression test results, a visual inspection of cored sections and the 

ends of the cut sections indicated excellent consolidation with no apparent segregation 

of materials throughout the length of the pile. 

 

5.1.2 Bond Behavior 
The assessment of the bond performance was conducted using a series of push-

through tests and flexural tests.  The push-through tests were conducted on the stub 

sections to measure the shear bond capacity whereas the flexural testing was 

performed as an indirect measure of bond. 

With the push-through testing, the cores of the stub sections were loaded until 

the core pushed through the steel shell.  For the 10-3/4 in. diameter specimens, after 

the initial slip occurred, the resistance decreased as more load was applied and the 

remaining resistance was provided by the friction between the concrete and steel shell.  

For this scenario the shear stress to cause the initial slip was deemed the bond 

capacity.  For the 10-3/4 in. diameter specimens, the average bond capacity ranged 

from 0.291 ksi to 0.525 ksi.  For the 12-3/4” dia. specimens, a different phenomena was 

observed during testing in which after the initial slip, the specimens supported additional 

load.  This behavior was attributed to an uneven internal surface at the location of the 

spiral seam welds, which provided mechanical resistance to the applied load which was 

overcome by crushing of the concrete at that location.  For these specimens, the 
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average bond strength was 0.316 ksi, which is in the range of the 10-3/4 in. diameter 

specimens, but with significantly different behavior. While this stress is on the lower end 

of the bond strength of concrete to steel, shear stresses obtained from the finite element 

model at the interface for the composite section loading scenario were of a much 

smaller scale (0.011 – 0.024 ksi), indicating that the bond capacity will not be exceeded 

under the axial compression state of stress.  It should also be noted that no interface 

separation was observed in the compression specimens either during or after testing. 

In the flexural testing, short pile sections (11 ft.) were loaded laterally in a three 

point bending configuration to assess whether slip at the interface occurred under 

flexure.  The specimens were subjected to concentrated axial loads at midspan with 

strain measurements taken around the perimeter of the member at the point of 

maximum flexure.  The objective of the testing was to determine if interface slip 

occurred during the flexural loading.  Of the four specimens tested, only one 

experienced a failure (10-3/4” dia. – 0.375” shell), which occurred due to a weld break.  

The 10-3/4” dia. (0.5” wall) specimens experienced yielding on the perimeter, whereas 

the two 12-3/4 in. diameter specimens reached the capacity of the test frame without 

failure or yielding.  Throughout all of the flexural testing, cracking of the internal 

concrete occurred, but no slip was observed in any of the specimens.   

5.2 Recommendations 
In this investigation, the performance of cast-in-place concrete filled tubular piles 

was evaluated.  Results from the investigation highlight the capacity of the tubular piles 

in compression and the interface bond between the concrete core and the steel shell.   

Current practices in the State of Wisconsin design these pile sections primarily as 

axial compression concrete member by neglecting the contribution of the steel shell and 

limiting the allowable compressive strength of the concrete.  This design approach is 

very conservative when compared to the capacity with the steel shell included.  Based 

on the compression test results presented in this report, the contribution to the axial 

capacity provided by the steel shell is significant, and even more so when the composite 

section is considered.  While none of the specimens were tested to failure (local 
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buckling), the test capacity of all specimens exceeds current design recommendations, 

indicating that the piles are being under-utilized.  In addition, when considering the 

integrity of the bond, the results from the testing program indicate that the bond 

between the concrete core and the steel shell are similar to other composite sections.  It 

should be noted that during the testing of the stub sections in compression and the 

short pile sections in flexure, there was no evidence of loss of bond.  The bond 

evaluation required a fit-for-purpose test to ensure bond failure, a loading scenario that 

is not likely to occur under in-service conditions. 

Clearly the final decision regarding the use of composite action is at the discretion 

of the Wisconsin Department of Transportation, but based on the results of the limiting 

testing program (limited in that all of the specimens tested did not exceed the AASHTO 

LRFD nominal capacity limits) it is reasonable to design for composite action due to the 

following considerations: 

• The smallest pile tested (10-3/4” with 0.375” wall) was tested to beyond the 

AASHTO LRFD composite nominal capacity without any indications of 

failure.  In fact, aside from some uneven loading effects, there was no 

indication of shell yielding or concrete crushing observed during the testing.  

While the other specimen sizes were not tested to this nominal design limit, 

no evidence of failure was observed either.  The other specimens were 

tested to within 85% (10-3/4” w/ 1/2” wall) and 81% (12-3/4” w/ 3/8” wall) of 

the AASHTO LRFD nominal design capacities.  At a minimum the 

Wisconsin Department of Transportation should be able to design to these 

values if a degree of conservativeness is necessary.  This recommendation 

does not take into consideration the loss of integrity of the shell due to 

deterioration, unbraced lengths that produce column behavior that differs 

from that of a stub column, or low quality core concrete necessary for 

composite behavior. 
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While the research presented herein accomplished the primary objective of 

evaluating the structural performance of cast-in-place concrete filled tubular piles, the 

following recommendations for additional study should be considered: 

• Compression testing of stub pile sections to failure to quantify the upper 

bound on the capacity.  This task would allow for better characterization of 

the non-linear behavior of the pile at failure and aid in refining design 

procedures.  Because none of the piles in this program were loaded to 

failure, the same piles could be reused for future work.  This data would 

also allow for the expansion of a finite element model in the non-linear 

region with consideration of the soil-pile interaction behavior. 

• Assessment of the strength gain phenomena observed with the concrete 

core material vs. companion specimens.  The data gathered in this 

investigation has the potential to allow for more efficient designs by 

considering more slender sections. 

• The numerical investigation demonstrated that the concrete strength had 

minimal effect on the behavior of the pile system in the elastic range.  An 

evaluation of alternative core materials (e.g. light weight concrete, recycled 

concrete) in lieu of normal strength concrete may provide an economical 

benefit. 

• Economic feasibility study on the cost-benefit of cast-in-place concrete filled 

tubular piles vs. comparable pile systems (e.g. H-piles, prestressed 

concrete piles). 
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Appendix A – Chemical Testing Results of Steel Shells 
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Appendix B – Core Sample Test Data 

 

Table 13 - Core sample test data 
Pile 

Section 
Core 

# 
Cut Length 

(in) 
Load 
(lbf) 

Pressure 
(psi) Comments 

1 B 1 8-1/16 77,318 6,163 Approx. 5% of surface area has voids; total conical 
failure from bottom 

1 B 2 7-5/8 67,558 5,399 Approx. 5% of surface area has voids; side sheer, 
bottom to top 

1 B 3 8-1/16 81,066 6,461 Conical sheer throughout, total failure (exploded) 

1 E 1 8 99,567 7,899 Shear Plane at 45d through middle 

1 E 2 8 104,058 8,251 Shear Plane at approx. 30d from bottom to middle 

1 E 3 6-11/16 101,179 8,025 Broke out of core short, cut on both ends until 
even; S.P same as previous 

1 I 1 -   - -  Broke Short 

1 I 2 -   - -  Broke Short 

1 I 3 -   - -  Broke Short 

1 N 1 8 107,420 8,520 Conical shear throughout 

1 N 2 8 114,048 9,033 Conical shear throughout 

1 N 3 8 123,982 9,803 Conical shear throughout 

1 Q 1 8-1/16 107,568 8,544 Total conical shear (exploded) 
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Pile 
Section 

Core 
# 

Cut Length 
(in) 

Load 
(lbf) 

Pressure 
(psi) Comments 

1 Q 2 8-1/16 84,854 6,754 Conical shear throughout 

1 Q 3 8-1/8 95,277 7,559 Conical shear, bottom to middle, slight 

2 D 1 8 118,510 9,367 Shear Plane vertical down middle 

2 D 2 7-7/8 92,731 7,356 Slight aggregate breakage on one end (<1/4"); 
Conical shear throughout 

2 Q 1 8-1/16 105,758 8,365 Total conical shear (exploded) 

2 Q 2 8-1/8 96,196 7,553 Slight agg. Breakage at Top, <1/4"; conical shear, 
total failure (exploded) 

2 Q 3 8 97,242 7,708 Total conical shear (exploded) 

2 U 1 8-1/16 100,947 7,995 Slight agg. Breakage at Top, <1/4"; conical shear, 
total failure (exploded) 

2 U 2 8 93,308 7,392 Slight agg. Breakage at Top, <1/4"; conical shear, 
total failure (exploded) 

2 U 3 8-1/8 99,108 7,875 Total conical shear (exploded) 

2 X 2 8 122,436 9,677 Conical shear plane, fractured in middle 

2 X 1 8 115,731 9,176 Shear plane conical; complete failure (exploded) 

3 F 1 7-13/16 99,540 7,905 Slight shear at top to middle; conical 

3 F 2 8-1/16 102,552 8,144 Conical shear, more through middle (vertical) 

3 F 3 8 103,752 8,245 Perfect conical shear 
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Pile 
Section 

Core 
# 

Cut Length 
(in) 

Load 
(lbf) 

Pressure 
(psi) Comments 

3 F 4 6-7/8 105,437 8,365 Broke short, cut to longest possible even length; 
bottom to middle shear 

3 K 1 -   - -  Broke Short 

3 K 2 - -  - Broke Short 

3 K 3 -   - -  Broke Short 

3 K 4 -   - -  Broke Short 

3P 1 -   - -  Broke Short 

3P 2 -   - -  Broke Short 

3P 3 -   - -  Broke Short 

3P 4 -   - -  Broke Short 

3 R 1 8 82,416 6,545 Conical shear top to middle 

4 D 1 8 70,624 5,638 Approximately 5% of surface area has air voids 

4 D 2 8 94,634 7,517 Shear Plane at 45d through middle 

4 D 3 8 76,940 6,115 Conical shear bottom to middle 

4 D 4 8 92,703 7,362 Conical shear throughout (hour glass shaped 
break) 

4 G 1 8 82,710 6,569 Total conical failure (exploded) 
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Pile 
Section 

Core 
# 

Cut Length 
(in) 

Load 
(lbf) 

Pressure 
(psi) Comments 

4 G 2 8 84,903 6,742 
Slight agg. Breakage on one end, <1/4"; surface 
voids on approx. 5% of surface; complete conical 
failure 

4 G 3 8-1/8 76,748 6,121 Conical shear, top to middle 

4 G 4 8-1/8 83,034 6,605 Conical shear, bottom to middle 

4 Q 1 -   - -  Broke Short 

4 Q 2 -   - -  Broke Short 

4 Q 3 -   - -  Broke Short 

4 Q 4 -   - -  Broke Short 

4 U 1 8-1/16 74,749 5,966 
Slight agg. Breakage on one end, <1/4"; surface 
voids on approx. 2% of surface; conical shear top 
to middle 

4 U 2 8-1/8 104,161 8,263 Conical shear bottom to middle 

4 U 3 8 89,710 7,130 Conical shear top to bottom 

4 U 4 8-1/8 87,241 6,933 Slight conical shear bottom to middle - approx. 3" 
up, 1/2" in from edge 

4 Y 1 8 111,625 8,764 Conical failure 

4 Y 2 8-1/8 101,956 7,965 Conical failure 

4 Y 4 8-1/8 100,121 7,857 Conical fracture, top to bottom 

 
 




